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Abstract 


Many existing flat slab buildings may not have been designed for seismic forces. 
It is important to study their response under seismic conditions and to evaluate seismic 
retrofit schemes. Two-dimensional nonlinear push-over analysis is carried out on a 
typical flat slab building. The building considered is designed only for gravity loads and 
wind loads. Comparison with similar conventional beam-column frames shows that the 
flat slab buildings have low lateral stiffness, low drift capacity and have hardly any 
ductility, w'hile the overstrength is of similar order. The yielding of slab in sagging is 
significant in flat slab buildings because of insufficient bottom reinforcement. By making 
the column strip bottom reinforcement continuous, the yielding in sagging can be reduced 
considerably, but no improvement in drift capacity is obtained. Considering all these 
factors it is concluded that many existing buildings in high seismic regions may need 
retrofitting. 

The performance due to retrofitting by a) column jacketing, b) addition of beams 
at Hoor, and c) column jacketing and addition of beams are also studied by push-over 
analysis. The retrofitting of ground storey by column jacketing is a good cost effective 
technique but is adequate only when seismic deficiency is small. The beam retrofitting 
reduces the sagging hinging significantly. Increasing the number of storeys of retrofitting 
by either column retrofitting alone or beam retrofitting alone does not improve the 
behavior significantly. With increase in number of storeys retrofitted with addition of 
beam alone, there is decrease in drift capacity, without much increase in strength. When 
column jacketing and addition of beam are adopted simultaneously on more number of 
storeys, large increase in lateral strength and stiffness can be achieved. 
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Chapter 1 


Introduction 


1.1 General 

Flat slab is an American development, originated, by C.A.P. Turner in 1906. It is 
a concrete slab reinforced in two or more directions so as to bring its load directly to 
supporting columns, generally without the help of any beams or girders. Sometimes 
beams are used where the slab is interrupted, as around staircases and discontinuous 
edges of the slab. 

Flat slabs are often thickened close to the supporting columns to provide adequate 
strength in shear, and to reduce negative moment. The thickened portion, i.e., the 
projection below the slab is called drop or drop pdfiellln some cases the section of 
column at the top, as it meets the floor slab or a drop panel, is enlarged so as to increase, 
primarily the perimeter of cross-section for shear. It is called column head. If no drop 
panel or column head is present, the system is sometimes referred to as flat plate rather 
than flat slab. 

Failure of RC flat slab framing systems during severe earthquakes have led to 
widespread rejection of the flat slab as a viable system in regions of high seismicity. 
Economics and good performance under gravity loads have led to equally widespread 
acceptance of the system in the regions of lower seismic risk. 

1.2 Behavior of Flat Slabs Under Lateral Loading 

Flat slab buildings have considerably less lateral stiffness as compared to 
traditional slab-beam-column frames. Under gravity load also the slab deformation is 


usually quite high because of the absence of beams. Low lateral stiffness of flat slab 
structures can lead to large earthquake induced motions in buildings, which can cause 
large P-A effects and result in damage to critical equipment and architectural elements. 

Due to problems associated with excessive drift, inadequate punching shear and 
moment transfer capacities, flat slab structoes provide poor seismic resistance, when 
compared with the conventional beam column framing. Hence, it is generally considered 
inadequate as a primary lateral load resisting .system for multi-storied staictures in 
regions of high seismic risk. Even when combined with a separate lateral load resisting 
mechanism, there is concern as to whether the connections possess sufficient lateral 
displacement capacity to survive expected lateral deformations. 

Older flat slab buildings have performed poorly in moderate to high intensity 
earthquakes. Such structures were designed using building codes emphasizing gravity 
loading, without providing the strength, stiffness and deformation ductility needed. to 
withstand cyclic motions. The connections were detailed to resist hogging moment, 
typical of gravity load moments at the connection, but not sagging moments arising due 
to lateral loads. Since the non-ductile slab-column connections in older buildings did not 
have slab bottom bars continuous through the interior column, the moment transfer 
capacity under positive bending is limited to flexural cracking strength of the slab. Under 
such cases brittle failures could occur at the connection during an earthquake. Hence it is 
generally accepted that these structures require retrofitting [Durrani et al., 1995 and 
Hayes et al, 1996]. 

Flat slab construction has a history of progressive failures. One of the most 
shocking was a 16-storey building nearing completion in Boston. Mitchell and Cook 
[1984] suggested remedies to arrest such progressive collapses. Fig. 1.1 illustrates the 
important role that the continuous bottom reinforcement can play after a punching shear 



failure has taken place. After shear failure has occurred the top reinforcement rips out of 
the top surface of the slab and hence is ineffective. Therefore, a slab-column connection 
without bottom steel adequately anchored into the column region would have negligible 
post-punching shear resistance. In contrast, bottom reinforcement, when it is properly 
anchored into the column region, does not rip-out of the slab and therefore can provide 
significant dowel action, which can arrest the failure. If the bottom bars are well anchored 
and effectively continuous then they could provide an alternate load path in the form of 
tensile membrane once the slab-column connection is severely damaged. If an initial 
localized failure develops then the slab hangs off the columns by the effectively 
continuous bottom bars and distributed slab reinforcement. The suiTOunding slab regions 
provide in-plane horizontal restraint to the slab. Punching shear in the interior region of 
the structure would lead to two-way tensile membrane action while an edge panel would 
resist the loads by one-way tensile membrane action. 

To ensure sufficient capacity to transfer the unbalanced moments, slab 
reinforcement needs to be anchored well into the slab-column junction. If the slab 
punching shear capacity is low, shear reinforcement has to be provided. But it is not 
always easy to provide shear reinforcement in slabs, because they are often very thin. 

The slab-column connection involves a very complex behavior when subjected to 
lateral loads. Large shear forces and unbalanced moments are developed at the 
connection. The unbalanced moment is transferred to the column by a combination of 
flexure, shear and torsion. This is associated with cracking of slab in flexure and torsion, 
and the tension steel undergoing yielding. These factors make the flat slab still more 
flexible. 

It is generally believed that the punching shear strength of interior slab-column 
connections is more than that of exterior columns. Because of confinement through the 



sun'ounding slab it is also believed that the punching shear strength is greater in lateral 
loading than under pure gravity loading. 

The existence of openings in the vicinity of a column reduces the area of concrete 
that can resist transverse shear, which makes the slab column connection wealcer and 
failure can be brittle. Such openings, unless they ai'e carefully designed, can be hazardous 
under strong earthquake shaking. The unbalanced moment becomes very high under such 
conditions. Hence openings should be carefully located and measures should be taken to 
transfer unbalanced moment effectively to the columns. 

1.3 Literature Review 

1.3.1 Experimental Investigations 

Tests were conducted on fifteen interior slab panels with gravity loading alone, 
varying the size and shape of column and amount of reinforcement [Vanderbilt, 1972]. It 
was observed that the punching shear strength is a function of column shape, size and 
slab reinforcement. Circular columns were found to have higher punching shear strength 
than square columns of equal peripheiy. This difference was attributed to the stress 
concentration at the comers of square columns. 

Dynamic experiments of precast concrete flat slab building models were 
perfomied on shaking table [Shen et al., 1984]. The models were made with and without 
shear walls and were of one-tenth scale. It was concluded that the weaker parts of 
prefabricated flat-plate shear wall structure were located at the joints between shear walls 
and slab-column connecting joints. Tests showed that due to the inherent low stiffness of 
prefabricated slab column system, shear walls are required to provide adequate drift 
control and to resist seismic loading. The development of inelastic deformation was 



bay slab-column subassemblies were subjected to tlie same cyclic lateral displacement 
routine while each supported a different superimposed slab load. Tests showed that 
increasing the slab gravity load significantly reduces the capacity of the connection to 
transfer unbalanced moment. The lateral drift that the specimen could attain prior to 
failure also reduced with increasing gravity load. It was observed that slab cracking 
around the connection as a result of the increased gravity load moments, reduces stiffness 
of the interior connection. 

Three half-scale interior and exterior fiber-reinforced slab-column connections 
were tested under simulated earthquake-type loading [Durrani and Diaz, 1992]. The 
amount of fiber-reinforcement was varied from 30 to 90 kg/m^ of concrete. The addition 
of fiber reinforcement greatly improved the ductility and energy dissipation capacity of 
all specimens. It also enhanced the shear capacity of the interior connections but did not 
affect the strength of exterior connections. A smaller fiber content had no effect on the 
failure mode of the interior connections but with increased fiber content the mode of 
failure changed from punching shear failure to that of flexural failure. 

Four interior, two edge and two comer post tensioned slab-column connections 
were tested at 43 % of full scale under simulated biaxial earthquake loading [Cruzado et 
al., 1994]. It was found that the increased gravity load results in decrease in lateral 
stiffness, strength, and deformability of the stracture. To improve the understanding of 
the retrofitted interior connections, two of the above specimens were repaired after 
testing and one was retrofitted before testing. These three specimens were retested and 
their behavior was compared with that observed for the original specimens. The 
connection repaired with high strength epoxy grout had stiffness and strength exceeding 
that of the original connection. The connection repaired with a column capital had 
stiffness, strength and deformability dramatically increased in comparison with the 



original connection. The connection retrofitted before testing was provided with steel 
plate jacketing. It had stiffhess, strength, and deformability similar to that obtained using 
the column capital, and superior to the original connection (Fig. 1.3). 

One of the effective ways of strengthening older seismically weak flat slab 
structures may be to provide ductile steel bracing systems. Strengthening of RC slab- 
column frames with ductile steel bracing is investigated on a one-third scale two-bay 
two-story slab-column frame [Goel and Masri, 1996]. Tests showed hysteresis loops 
dissipating significant amount of energy. The punching shear strength and ductility of the 
slab-column connections also increased. 

Three large-scale slab-column subassemblies under seismic conditions were 
tested, varying primarily the amount and type of punching shear reinforcement [Tegos 
and Tsonos, 1996]. The presence of this reinforcement was found to improve the seismic 
performance and reduce considerably the deterioration of specimens after reaching their 
maximum capacity. It also changed the t 3 /pe of failure from punching shear failure to 
almost flexural failure. Inclined steel bars and steel fibers were found to increase the 
ductility and the energy dissipation capacity of the subassemblies. Moreover, the increase 

in punching shear capacity with inclined 45° bars was greater than that obtained by steel 
fibers. The study proposed that design codes must specify minimum shear reinforcement 
for slab-column connections in order to avoid the brittle punching shear failure. 

The effect of viscoelastic dampers (VED) was observed by fitting them to a one- 
third scale model of a flat slab building which was tested on the shaking table [Hayes et 
al., 1996]. The VED’s are mounted in diagonal braces that extend between columns in a 
structure (Fig. 1 .4). Earthqualce induced tensile and compressive forces that develop in 
the braces are carried in direct shear by VED. The addition of VED in braces both 
stiffens the structure and enhances the energy dissipation capacity. The increased 



damping reduces structural response to ground motion. While the use of supplemental 
VED is conceptually effective, most prior research has focussed on their use in steel 
structures. There is concern that for VED to deform sufficiently to utilize their energy 
dissipation characteristics, the parent RC structure should have deformed enough. This 
results in significant cracking associated with strength and stiffness loss in the parent 
structure before VED’s start dissipating energy. 

Six specimens of high-strength concrete slab-column connections with shear 
reinforcement and four specimens with shear studs as shear reinfoi'ceraent were tested 
[Salakawy et al., 1998]. Four of these ten specimens had openings. The benefit of placing 
high-strength concrete in slab is to increase the strength of slab-column connections. This 
is an attractive option in cases where the slab perforations have significantly reduced the 
available section for shear transfer. The parameters varied were the location and size of 
the openings, and the amount of shear reinforcement. The specimens with opening 
located along the line of the unbalanced moment were found to have less shear capacity 
than that with opening located transverse to the line of action of the unbalanced moment. 
Shear reinforcement was effective in increasing the shear capacity of the connections by 
20 to 32%. The perfomiance of connection was much better with shear studs than with 
shear reinforcement. Shear studs changed the mode of failure from shear failure to 
flexural failure. In the case of the connection with a large opening, the shear studs 
increased the strength, where as the shear reinforced connection failed in punching mode. 

1.3.2 Analytical Studies 

Over the years, efforts have been made to develop simplified analytical models 
for flat slabs. However, because of the three-dimensional action and the complexities 
involved in the actual behavior, these models have been slow to develop. The analytical 



studies involve two basic issues 1) capacity of slab-column connections, and 2) frame 
analysis of flat slab systems. 


1.3. 2.1 Slab-Column Connection Capacity 

a) Eccentric shear stress model 

This is a method based on an investigation by Hanson and Hanson [1968]. Later it 
was reviewed in the ASCE-ACI Committee 426 report [1974]. It predicts the punching 
shear capacity for a given level of unbalanced moment for all types of connections. The 
critical section for shear is assumed to be at a distance d/2 from the face of the column. 
When drop panel and column head are provided, the section at a distance d/2 from their 
face is also taken as critical section. The shear stress at each of these sections has to be 
checked. The shear stress caused due to imbalanced moment is assumed to vary linearly 
with distance from centroidal axis. It varies about the centroid of the critical section, 
eccentrically about critical periphery (Fig. 1 .5). Hence, this semi-empirical method adds 
to the gravity shear on one side and subtracts on other side. 

Tests were conducted on slab-column connections subjected to gravity and lateral 
loading. The strength of these connections was compared with that calculated by 
eccentric shear stress model. It was concluded that the eccentric shear stress model does 
not con-elate well with the measured strength of edge connections [Moehle, 1988]. When 
the ratio of gravity shear to pure shear strength of cormection is less that 0.75, no 
significant interaction was found in tests. Hence, the model . becomes excessively 
conservative for edge connections. Despite much criticism, many design codes continue 
to use this model because of its simplicity in application. 



b) Truss model 

The eccentric shear stress model assumes one particular critical section, which is 
vertically oriented at some distance from the column. Alexander and Simmonds [1987] 
strongly disagreed with any single critical section as the failure surface changes with the 
moment-to-shear ratio. They proposed a truss analogy model to predict the ultimate 
capacity of the connection. It consists of a three-dimensional space truss composed of 
concrete compression struts and steel tension ties (Fig. 1.6). The reinforcing steel and 
concrete compression fields are broken down into individual bar-strut units, This model 
represents the flow of forces and also predicts the failure mechanism. It considers the 
effect of diagonal cracking and explains the role that flexural reinforcement plays in 
determining the shear strength. Because of its complexity this model has not been 
adopted by the design codes. 
c) Beam analogy model 

The beam analogy model for predicting the strength of slab-column connections 
was introduced by Hawkins [1973], This model has been developed based largely on 
extensive test results from interior, edge and comer connections. In this method, the slab 
adjacent to the column is considered to act as beams running in two directions at right 
angles framing into the column faces. The slab strips making up the beams are subjected 
to shear force, bending moment and torsional forces and redistribution of these actions is 
assumed to be able to occur between the beams. Each beam is assumed to be able to 
develop its ultimate bending moment, torsional moment and shear force, making due 
allowance for interaction effects. The strength of the connection is calculated by 
summing the contributions of the beams. Several possible combinations of shear, bending 
and torsion have to be considered, since not all the faces may reach their limiting 
strengths at the same time. 



Hawkins [1973] assumed that stirrups only contribute to the torsional strength. 
Howevei, Park and Islam [1976] proposed a simplified beam analogy model, which also 
evaluates the contribution of stirrups towards shear and torsional strengths. 
d) Effective transfer width model 

Moehle [1988] developed this model for estimating the strength of slab-column 
edge connections (Fig. 1.7). It is based on the concepts of diagonal compression theory 
[Mitchell and Michael, 1974]. He surveyed the experimental data on edge connections, 
and found that there is no significant interaction between shear' and the moment applied. 
Either the connection fails in its pure shear strength, or at its pure flexural strength, 
whichever is reached first. Hence, in this model failure is assumed to occur when either 
of these is reached. Shear capacity is computed as a product of critical section and the 
critical shear stress capacity. Moment strength is computed as the flexural strength 
provided by reinforcement within an effective transfer width. He suggested an effective 
transfer width of C 2 + 2 C 1 for moment transfer from slab to column, where Ci is the 
dimension of column in the direction of unbalanced moment and C 2 is the dimension of 
column transverse to the direction of unbalanced moment. The method was found to 
coirelate well with the experimental data, while the eccentric shear stress model was very 
conservative. 

1. 3.2.2 Frame Analysis 
a) Effective slab width method 

In this method, originally developed by Pecknold [1975], an effective width factor 
a is obtained such that a slab of effective width a\i, subjected to uniform support 
rotation, would have a total support moment equal to that of the original slab of width I 2 
and with varying rotation. Darvall and Allen [1984] developed effective width co- 
efficients for slabs with drop panels, noting that drop panel increases the stiffness which 



in turn increases the effective width. Subsequent studies showed that effective width 
varies with slab aspect ratio, column sizes, and with change in reinforcement. 

Once the effective width is fixed the complete three-dimensional model of the 
structure is analyzed as two-dimensional frame consisting of the original columns and a 
beam of original slab depth and effective width. In reality some areas may experience 
very little cracking, while other areas close to the connections may experience substantial 
cracking. It has been recognized by many researches that gross section properties 
overestimate the actual stiffness. The effect of cracking in the slab causes significant 
reduction in the section properties. Moehle [1984, 1992] suggested that using a stiffness 
reduction factor of 1/3 in conjunction with the effective beam width model leads to a 
reasonably good estimate of working load stiffness. Vanderbilt and Corley [1983] and 
Cano and Klingner [1988] also used 1/3 of the gross stiffness to account for cracking. 
Dovich and Wight [1994] have suggested effective widths for both stiffhess and strength 
of slab-column connections, based on experimental research and analytical study (Fig. 
1 . 8 ). 

‘ I .. 

b) Equivalent frame method 

A number of equivalent frame methods have been proposed to predict the moment 
distributions and stiffness expected in slab-column frames. Generally, these methods 
incorporate a transverse torsional member at the slab-column connection, which models 
the torsional stiffness of the slab adjacent to the connection. Corley et al. [1961] 
suggested the concept of transverse torsional members as part of a study, which later 
developed to a very well known, equivalent frame method of analysis. The torsional 
members are assumed to have only the torsional degree of freedom. The rotational 

i 

stiffness of the equivalent column is found out as the function of the stiffness of original 
columns above and below the joint and the torsional stiffness of the transverse element. 



This way the three-dimensional structure is represented by a series of two-dimensional 
frames. Corley and Jirsa [1971] modified the procedure for computing the stiffness of the 
torsional element as part of a study on pattern loading effects. 

The most widely used equivalent frame method is the ACI code method. It is used 
both for lateral and gravity load analysis. However, it is only good for gravity and 
monotonic load. The researchers generally agree that it is not good for seismic loads 
because the stiffnesses used are not the intrinsic properties of the structure. Cano and 
Klingner [1988] and Vanderbilt and Corley [1983] have discussed the application, 
advantages and disadvantages of this method elaborately. 

Elias [1979, 1983] has tried to combine the transverse element with the slab to 
gi\'e an equivalent slab and developed a stiffness matrix for the equivalent slab based on 
analytical studies. 

1.4 Scope of the Study 

The lateral behavior of a typical flat slab building which is designed according to 
IS : 456 - 1 978 is evaluated by means of nonlinear push-over analysis. The inadequacies 
of these buildings are discussed by comparing the behavior with that of the conventional 
beam-column framing. The response is also studied when the flat slab system has 
continuous column strip bottom reinforcement as is now required by the ACI code. 
Further, the effect of retrofitting schemes by a) column jacketing, b) addition of extra 
beams, and c) column jacketing and addition of extra beams is also studied. The 
improvement obtained from each of these schemes is discussed. 



1.5 Organization of the Thesis 


The thesis has been organized in five chapters. This chapter reviews the literature 
on experimental investigations and analytical models developed for flat slabs. The 
behavior of flat slab buildings under lateral loading is also presented in this chapter. 
Chapter 2 describes the method adopted for push-over analysis. The description of the 
program used and procedure of analysis are presented. Chapter 3 presents the results of 
typical flat slab frame. Its behavior is compared with that of the beam-column frames. 
Results are also presented for a flat slab frame with continuous column strip bottom 
reinforcement. Chapter 4 presents the analysis for retrofitted flat-slab frames. A brief 
summary and important conclusions are presented in Chapter 5. 
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Fig. 1.1 : The Role of Bottom Reinforcement 
Anchored into Supports [Mitchell and Cook, 1984] 
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a) Configuration of Test Structure 
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b) Envelope of Top Floor Displacement and Base Shear 


Fig. 1,2 : Experimental Study of Two-Storey Three-Bay Flat Plate Frame [Moehle 

and Diebold, 1984] 
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Fig. 1.3 : Post Tensioned Slab-Column Connections Under Earthquake Loading 

[Cruzado et al. 1994] 
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Fig. 1.4 : Model Structure Tested with Viscoelastic Dampers [Hayes et al. 1996] 
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Fig. 1.5 : Eccentric Shear Stress Model (ACI 318-95) 
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b) Illustration of Diagonal Compression Strut at Edge Connection 
Fig. 1.7 : Effective Transfer Width Model for Edge Connections [Moehle, 1988] 
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Chapter 2 

Push-Over Analysis 


2.1 Introduction 

Static push-over analysis is a procedure where a building model is subjected to 
increasing static lateral loads in one direction. These lateral forces continue to increase 
until the building collapses or a specified drift is reached. This procedure is very useful 
for studying the progression of damage in a building with increasing drift levels. It is not 
only an analytical test of the behavior of the lateral load resisting system, but also of 
other parts of the structure which may be affected by lateral diifl or which may interfere 
with the lateral load resisting system. The changes in the slope of the base shear versus 
roof displacement relationship indicate yielding of various elements of the structure. 

As yet there are no standard loading patterns established for the push-over 
analysis. In general, two types of lateral load distributions along the height of the frame 
are used. They are uniform and inverted triangular distributions (Fig. 2.1). One view is 
that since the mass on the floors is uniformly distributed, the lateral load distribution has 
to be uniform. Another view is that since contribution of the first mode is more, the 
lateral load distribution should follow the first mode. Most of the seismic design codes 
follow inverted triangular distribution for seismic design of buildings. This distribution 
creates more critical situation than the uniform distribution. For analysis in this study, the 
inverted triangular load distribution is used. 

2.2 SNAP-2DX Modeling of the Structure 

Kannan and Powell [1972] developed a general purpose program for dynamic 
analysis of inelastic plane structures at the University of California at Berkeley [DRAIN- 



2D]. Later it was modified and expanded by Tang and Goel [1988] at the University of 
Michigan [DRAIN-2DM]. This was further modified by Rai, Goel, Firmans] ah [SNAP- 
2DX] . The coding of element modules in this program is very similar to that of Kannan 
and Powell. But there are significant differences in solution strategies and other global 
modules. 

The SNAP-2DX program is used in this study for the displacement-controlled 
non-linear push-over analysis of the building. The structure is discretised into two- 
dimensional beam and column elements connecting at the nodes. The analysis is done in 
several segments. In each segment it uses the step-by-step iteration to have the results 
converge within an allowable range. 

The nodes at each floor level are constrained in the analysis so as to have equal 
displacements in the horizontal direction. The implication of this is to neglect the axial 
deformation in beam elements. 

The element 2, “reinforced concrete beam column element” is used to model the 
beams and columns of the two-dimensional frames. The inelastic behavior is modeled by 
allowing the plastic hinges to form at the element ends. The behavior of the elements is 
specified by a bilinear moment rotation (M-0) relationship. It has a certain initial stiffiiess 
till it reaches the yield point. Then the stiffness decreases and the M-0 relation continues 
to go on and on without any failure point. Hence, the analysis stops when a specified drift 
limit is reached or when a mechanism is formed in the structure. The yield points in 
sagging and hogging can be different. ‘Element 2’ considers same stiffness for both 
hogging and sagging moments, and same reduced stiffness after yielding (Fig. 2.2). The 
program approximates the “P-A” effect by adding a geometric stiffness to the elastic 
stiffness of the column. The geometric stiffhess is based on the axial force in the element 
under gravity loading. The axial force-moment (P-M) interaction for the column element 



is taken as shown in Fig. 2.3. The balance point on yield surface of P-M interaction 
diagram is assumed to be at (1,05 My, 0.12 Py). This value is chosen because, in general, 
the individual balance points of all columns is found to be very close to this point. 

The program does not allow the elements to be loaded along their length. Hence, 
the fixed end moments and reactions due to gravity load are applied to the elements at 
their ends. 

2.3 Moment - Curvature and Moment - Rotation Relationships 

The program developed by Mandal [1993] gives the M-(j) curve of a given RC 
section with geometry, material, axial load and confinement. It uses the stress-strain 
relations recommended by IS 456: 1978. 

The effect of axial load on M-(j) relationship of the elements is significant and 
only a unique value of axial load can be given for evaluating the M-([) curve. This value is 
obtained by assuming that the axial load on columns is due to flill design dead load and 
one-half of design love load. 

The M-cj) curve is idealized as bilinear curve as shown in the Fig. 2.4. A straight 
line is drawn, which starts from the origin and passes through the yield point of actual M- 
(j) curve. A tangent is also drawn' at the end of the actuaTM-(j) curve. The point where 
these two lines intersect is taken as yield point in the idealized M-(j) curve. The two 
straight lines represent the linear regions before and after yielding. The calculation of M- 
0 relationship from M-cj) relationship is shown in Fig. 2.5. The moment diagram at a 
particular instant in an element due to lateral loads is as shown in Fig. 2.5 (a). This is 
replaced by an equivalent cantilever beam of half the length, with a point load at the end 
as shown in Fig. 2.5 (b). The rotation at yield point and ultimate point are calculated as 



shown in Figures 2.5 (d) and (e). The length of plastic hinge Lp is calculated by Balcer’s 
fomiula [Park and Pauley, 1975] given by: 
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where y'l - 0.7 for mild steel or 0.9 for cold-worked steel, 72 = 1 + 0.5Pu/Po, Pu = axial 
compressive force in member, Po = axial compressive strength of member without 
bending moment, y'j = 0.6 when f/ = 35.2 kN/mm^ or 0.9 when f/ = 1 1 .7 kN/mm^ is 
the cylinder strength. For other values of fj linear interpolation can be taken. Cylinder 
strength is taken as 0.8 times that of the cube strength. 4 = distance of critical section to 
the point of contraflexure, and d = effective depth of member. 


2.4 Ductility and Overstrength 

2.4.1 Ductility 

The ductility of the structure is defined as the ratio of maximum overall 
displacement of the structure (Amax) to the displacement at the yield point of the structure 
(Ay). The A„iax is taken as the least of a) displacement at which the first column reaches 
0u, and b) displacement at which specified drift limit (i.e., 2.5%) is reached. The yield 
point of the structure (Ay) is idealized as shown in Fig. -2.6. Two lines are drawn, one 
from the origin and another line from the end of the force-displacement curve. These two 
are drawn such that the dotted areas in Fig. 2.6 are equal. The intersection of these two 
lines is taken as the yield point. 

2.4.2 Overstrength 

Overstrength of the structure is defined as the ratio of maximum base shear 
coefficient (Cy) obtained from response of structure to the unfactored design base shear 
coefficient (Cw) of the structure (Fig. 2.6). The reasons due to which this reserve strength 



exists include, load factors are applied to the design loads, safety factors are applied to 
the material strength, actual material strengths are in general higher than the code 
specified values, the member sizes provided may be higher than the design values, 
reinfoi cement provided may be more than that required by the design and the provisions 
ol minimum member sizes and minimum reinforcement requirements also increase the 
strength. 




a) Lateral Load Distribution on the Frame 



b) Force - Displacement Relationship 


Fig. 2.1 : Push-Over Analysis Procedure 



Fig. 2.2 : Moment-Rotation Relationship used in Element 2 



Fig. 2.3 : P-M Interaction Adopted in this Study 
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Fig. 2.4 : Idealization of Moment-Curvature Relationship 




a) Bending Moment Diagram Due to Lateral Loads 



b) Equivalent Cantilever Beam 



c) Bending Moment Diagram Due to Equivalent Cantilever Beam 
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d) Rotation at Yield Point 



e) Rotation at Ultimate Point 


Fig. 2.5 : Calculation of M-0 Relationship 





Chapter 3 

Behavior of a Typical Flat Slab Building 


In this chapter a typical flat slab building is designed as per the IS code to 
lepiesent the existing flat slab buildings and the nonlinear push-over analysis is carried 
out. The behavior of this building is compared with that of the conventional beam- 
column framing. The improvement in behavior due to continuous, column strip bottom 
reinforcement is also studied. 

3.1 Design of the Building 

A typical building with four stories and three bays in each direction is considered 
in the present study (Fig. 3.1). It represents existing flat slab buildings, which have not 
been detailed for earthquake loads but have been designed for wind loads. The bay width 
is 6 m in one direction and 5 m in another. The height of the first-storey is 4.4 m and that 
of the other storeys is 3.2 m. 

For the purpose of design, linear structural analysis of the building is carried out 
by the computer program SAP2000 (Structural Analysis Program, Version 6.11). The 
slab of the building is assumed to be acting like a rigid floor diaphragm. The building is 
designed as per 18:456-1978 using limit state method of design. The load combinations 
used are as follows. 

1.5 DL+1.5LL 

1.2 DL+1.2 LL+1.2WL 

1.5DL±1.5 WL 


0.9 DL± 1.5 WL 



For the purpose of wind load calculations, the structure is assumed to be situate^ 
in Bombay. The wind loads are calculated as per the IS:875 (Part 3)-1987: 

3.1 

where = design wind speed at any height z in m/s, Vt, - basic wind speed in m/s ( = 44 
m/s for building in Bombay), k, = the probability factor or risk coefficient ( = 1.0 for all 
general buildings and structures), k 2 = terrain, height and structure size factor, and ( = 1 
for open terrain with well scattered obstructions and structures with components such as 
cladding, glazing, roofing, etc, having maximum dimension less than 20 m ), and h = 
topography factor ( = 1 .0). The design wind pressure is calculated as follows: 

P, = 0.6F/ 3.2 

From the above equations, the total design base shear on the building was 
obtained as 243.4 kN for a design wind pressure of 1.162 kN/m^ acting along X- 
lirection. This is 2.8% of the weight of the building. This force is distributed equally to 
all the four frames. The total design base moment due to this load is 1,704 IcN-m. For tlie 
same building, the design seismic base shear and base moment will be 221.2 kN and 
2,525 kN-m, respectively, in seismic zone II, and 442.4 kN and 5,052 kN-m in seismic 
zone III as per 18:1893-1984. The lateral load distribution along the height of the 
structure due to wind load is uniform, while that of the seismic loads is parabolic with 
larger forces at top. Hence, for the same value of base shear for wind and seismic loads, 
the base moment is larger for seismic loads. 

The materials used are M 20 grade concrete and Fe 415 grade steel. Design and 
detailing has been done as per usual partial safety factors specified in 18:456-1978. Since 
the concrete strength increases with its age, it is assumed that the existing flat slab 
building is at least one year old. The design codes generally allow a factor of 1.2 to 1.25 
on concrete strength as age factor for one-year-old concrete. Therefore, the characteristic 



cube strength of M20 concrete is taken as 25 NW for evaluating moment-curvature 
relations of elements needed for the push-over analysis and no partial safety factors on 
mateiial stiengths are assumed. A factor of 0.8 is used for converting cube strength to 
cylinder strength. 

The thickness of the slab is 200 mm and no shear reinforcement is provided in the 
slabs. The columns aie 300 mm square in section and are provided with ordinary 
detailing and no special confinement reinforcement is provided as is done in case of 
seismic detailing. After the design of the building, the slab-column connections are 
checked for punching shear failure by the eccentric shear stress model. The reinforcement 
details of all the elements of the frame are given in Table 3.1. The sizes of drop panels 
and column heads are shown in Fig. 3.2. 

3.2 Procedure of Analysis 

The building considered was designed as per the Indian code provisions so as to 
represent the existing flat slab buildings in India. The three-dimensional structure is 
idealized as a two-dimensional frame. The fi-ame consists of original columns and 
equivalent beams defined by the slab depth and a portion of the slab width. Only a typical 
interior frame of the flat slab building is considered in this study. Displacement- 
controlled push-over analysis is carried out on the interior frame till a total drift of 2.5 % 
is reached or when any of the columns fail. This drift limit is generally considered 
adequate for this type of analysis. For this purpose the computer program “Structural 
Non-linear Analysis Program” (SNAP-2DX) is used. 

While carrying out the push-over analysis the firames are applied full dead load 
and half the design live load (i.e., DL + 0.5 LL). The design live load on the floors is 
taken as 4 kN/m^ except on the roof where it is 1.5 kN/m . 



The moment-curvature (M-cj)) relationship of the individual elements is evaluated 
by the progiam developed by Mandal [1993]. The slab-column connections were checked 
for the punching shear failure by eccentric shear stress method. 

3.3 Details of Elements and Framing 

The column heads are modeled as separate column elements and the drop panels 

> 

arc modeled as separate beam elements. The drop panel element extends from the center 
oi slab-column connection to the end of the drop panel. The column head extends from 
the center of the slab-column connection to the end of the column head. The nodes at the 
base of the first storey columns are fixed. All nodes, other than those at the floors and 
those at base of ground storey columns, have 3. degrees of freedom. The nodes at the 
floors are forced to have equal translation in horizontal direction. There are a total of 32 
column elements (8 for each floor level) and 36 beam elements (9 for each floor level), 
and the total number of degrees of freedom in the frame is 156. 

Dovich and Wight [1994] proposed effective slab widths for both strength and 
stiffness as shown in Fig. 1.8. These effective slab widths are used in this study by taking 
the average of these values, so that a single effective slab width is used for all 
calculations. The effective width of slab for stiffness and strength are I2/3 and I2/2, 
respectively. Hence, an average value of I2/2.5 is used for effective width of slab element. 
The effective width of drop panel is taken as its full width. The cross-sectional 
dimensions of the column head elements are taken by averaging their cross-section 


throughout the length, 



3.4 . EQr c. e-DispIacement Rel ationship of Ordinary Flat Slab Frame 

The push-over analysis of an interior frame is carried out in the longitudinal 
direction of the building till a total drift of 2.5%. The total drift is defined as the ratio of 
toof displacement to the height of the structure. The base shear coefficient versus the 
total drift (termed as ‘drift’ from here on) relationship is shown in Fig. 3.3. The sequence 
of plastic hinges is given in Fig. 3.4. The force-displacement relationship is linear upto 
0.5 /o diift. The diop panel elements started yielding under sagging bending moment after 
0.5% drift, and this causes softening of the force-displacement curve. This process 
continued till a drift of 1.13% is reached when all the drop panel elements have 
undergone yielding under sagging moment. The formation of early hinging at a drift of 
0.5% is due to the absence (or inadequate) bottom reinforcement. In first-storey and 
second-storey slabs there was a small amount of continuous bottom reinforcement 
because of the load combination (0.9 DL + 1.5 WL), while the other floors have no 
continuous bottom reinforcement. 

The bending moment diagram due to gravity loads and that due to lateral loads is 
shown in Fig. 3.5. The beam hinging in sagging or hogging occurs when the bending 
moment due to gravity plus lateral loads exceeds the moment capacity in sagging or 
hogging, respectively. Since the sagging reinforcement near supports is either zero or 
very small, there is hardly any sagging moment capacity near the support. Consequently, 
the hinging in sagging occurs soon after the bending moment due to lateral load exceeds 
the bending moment due to gravity load. 

Due to the early hinging of drop panel elements, the damage starts at very low 
drift itself and continues for a long range. The overstrength when the first yield takes 
place is only 1.64 (Table 3.2), which is a rather low value. Hence, . significant damage 
may take place in flat slab buildings, even for low intensity of ground shaldng. 



After the yielding of all the drop panel elements under sagging moment (at 1.13% 
drift), there was no further yielding till a drift of 1.8%. This is when the exterior right-end 
first-storey column yielded at its base. After this, the first-storey drop panel elements 
yielded under hogging moment. This is followed by yielding of other first-storey columns 
at the base, greatly reducing the stiffness. 

At a drift of 1.99% the first-storey interior columns failed at their base by 
reacliing their ultimate rotation capacities. The right-end and left-end first-storey exterior 
columns failed (i.e., reached their ultimate moment capacities) at drifts of 2.02% and 
2.07%, respectively. In a drift range of 1.89% to 2.26% the second-storey drop panel 
elements yielded under hogging moment. However, as discussed in subsequent section, 
the frame may be considered to have reached failure point at 1.99% drift and the analysis 
beyond this drift cannot be relied upon. At this stage, the base shear coefficient is 0.109 
and the overstrength is 3.89 (Table 3.2). 

The nature of the force-displacement relationship is such that there is no well 
defined yield point, and the structure has hardly any ductility. 

3.^ Ltmitations of the Present Analysis 

The ‘element T in SNAP-2DX used in push-over analysis assumes same stiffness 
of M-0 curve for both hogging and sagging bending moments, but allows different yield 
moments in hogging and sagging. More over, the program does not consider the M-G 
curve of elements to be having a failure point. Beyond yield, the M-G curve goes on 

continuously with a different, reduced stiffness specified by the user (Fig. 2.2). 

In actual behavior, the elements may have a limited rotation capacity. However, 
because of the limitation of the program, the possibility of a node reaching the ultimate 
rotation capacity (Gu) in any elements could not be automatically checked. The column 



failures can lead to significant reduction in overall stiffness of the structure and may 
cause sudden collapse of the overall structure under earthquake condition. This is 
especially true in case of columns without confinement. Hence, the drift at which the 
column failure occurs when ‘0u’ is reached in columns is detennined externally by 
another program. However, beam failures may only have localized effects. Hence, the 
possibility of 0^ exceeding in beam elements has not been checked. 

Even after the failure of an element, the push-over analysis continues to assume 
its participation. Thus, any subsequent failures after the failure of first element are 
determined based on participation of elements failed previously. Meanwhile, in the actual 
structure because of first column failure, which will be generally in lower storeys, the 
stiffness of the structure greatly reduces. As a result, the base shear versus roof 
displacement relationship of actual structure starts dropping down. With more columns 
failing, this drop enhances further (Fig. 3.3). Considering this fact the maximum base 
shear capacity of the structure is taken as the base shear at the occurrence of first column 
failure or when 2.5% drift is reached whichever happens earlier. The same definition of 
maximum base shear capacity is applied for the subsequent analyses also. 

3.6 Comparison of Fiat Slab Frame with Beam-Column Frames 

It is of interest to compare the seismic response of typical existing flat slab 
building with that of the beam-column frames. For this purpose, the results of push-over 
analysis on beam-column interior frames by Jain and Navin [1995] are used. These 
frames do not match exactly with the frame in this study in terms of number of storey, 
number of bays and design base shear. Hence, those frames which match as closely as 
possible are chosen for the purpose of comparison. Thus, a three-storey four-bay frame 
designed for a base shear coefficient of 0.04 (seismic zone III) and a six-storey four-bay 



frame designed for a base shear coefficient of 0.03 (also in seismic zone III) are used. 
The flat slab building was designed for a base shear coefficient of 0.028. Although this is 
not an exact comparison, it will give a useful qualitative information. 

Fig. 3.6 shows the force-displacement relationship for the flat slab frame and the 
beam-column frames. The important parameters for these buildings are given in Table 
3.3. The push-over analysis of beam-column frames was carried out upto a total drift of 
2 5%. It is seen that the beam-column frames possess considerably more lateral stiffness 
than the flat slab frame (about 70%). The drop panel elements started yielding in sagging 
moment at 0.55% drift itself. At this stage the overstrength was as low as 1.61. 

The beam-column frames sustained a drift level of 2.5% and will sustain 
considerably more drift if still loaded. On the other hand, the first-storey interior columns 
of flat slab frame failed at 2% drift. Clearly, the flat slab building has low drift capacity 
and hardly any ductility. The inadequate ductility and deficient drift capacity associated 
with first-storey column failures can lead to a hazardous overall failure of the flat slab 
buildings under earthqualce excitation. 

Although the ductility and drift capacity of flat slab building is significantly less 
than that for the beam-column framing, the overstrength of flat slab building (=3.89) is 
quite comparable to that in the beam-column frames (=4.13 and 4.33). Moreover, the flat 
slab building was designed for wind load, which is uniformly distributed along the height 
of the building, while the beam-column frames were designed for seismic force 
distribution as per 18:1893-1984. Had the flat slab building been designed for the same 
force distribution as that of the beam-column frames, the resulting overstrength might 
have been somewhat larger than the one obtained here. 



3.7 Response with Continuous Bottom Reinforcement 

18:456-1978 does not have stringent requirements for the puipose of continuous 
bottom reinforcement in flat slabs. The bottom reinforcement can be curtailed near the 
supports except where required by the analysis. As per the ACI 318-1995, the entire 
column strip bottom reinforcement should be continuous. This gives the slab some 
residual ability to span to the adjacent supports if a single support gets damaged. Apart 
from this, ACI requires that at least two of the column strip bottom bars in each direction 
shall pass through the column core and shall be anchored at exterior supports. The two 
continuous column strip bottom bars through the column axe termed ‘integrity steel’, and 
are provided to give the slab some residual capacity following a single punching shear 
failure. This provision was incorporated on account of the research by Mitchell and Cook 
[1984] to amest progressive collapse. 

The building of present study is modified to have continuous column strip bottom 
reinforcement as per ACI requirement and push-over analysis is carried out. The response 
obtained is compared with that of the ordinary flat slab frame (Fig. 3.7 and Table 3.4). 

Provision of continuous bottom reinforcement leads to significant improvements 
in the lateral behavior as seen through the force-displacement relationship. The first yield 
point now occurs at 0.86% drift (as against 0.5% drift earlier). Thus, overstrength at first 
yield is 2.82 (1.64 earlier). Moreover, the force-displacement curve does not show 
significant softening on account of sagging moment hinges and the strlicture is able to 
retain its lateral stiffness. The sagging hinges occurred in the drift range 0.86% to 1.29%. 
This was followed by hinging of first storey columns at base at drift of 1.46%. Both the 
first storey interior columns failed at 1.57% drift. 

Frame with continuous bottom reinforcement could sustain loading upto base 
shear coefficient of 0.12 giving an overstrength of 4.29; an improvement of about 10%. 
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On the other hand, drift capacity reduced by about 20% (to 1.57%). Due to improved 
behavior of frame under sagging moment, the frame stiffness improved and hence, the 
columns underwent yielding and failure at lower drift levels. Even though the drift 
capacity reduced somewhat, the response of frame, under earthquake excitation ' is 
expected to be significantly improved on account of the continuous bottom 
reinforcement. This is so in view of a) delayed occurrence of first yield, b) absence of 
significant stiffness reduction due to sagging hinges, and c) improved overstrength. 
Clearly, the ACI provisions on ‘integrity steel’ and continuous bottom reinforcement help 
improve the seismic response. However, the frame still possesses practically no ductility, 
and such frames still will be quite deficient in seismic response. 

3.8 Statement of the Problem 

The existing flat slab buildings have low stiffness and low drift capacity than the 
conventional beam-column frames, while the overstrength is quite comparable. The 
force-displacement relation of flat slab structure hardly shows any ductility. The drop 
panel elements start yielding under sagging at very low drift due to the insufficient 
bottom reinforcement. When the existing buildings are provided with continuous column 
strip bottom reinforcement, the yielding of drop panels started at greater drift and was 
much less compared to that of the original building. Even with this way, the problems 
associated with insufficient drift capacity and absence of ductility remain and such 
buildings require seismic retrofitting. 



Table 3.1 (a) : Details of Column Elements 


Column 

Length (mm) 

Size (mm) 

Reinforcement (%) 

Cll 

3575 

300X300 

2.53 

C\2 

3575 

300X300 

5.07 

C21 

2375 

300X300 

2.53 

C22 

2375 

300X300 

4.22 

C31 

2375 

300 X 300 

2.11 

C32 

2375 

300X300 

1.69 

C41 

2375 

300X300 ' 

2.11 

C42 

2375 

300X300 

1.69 

CHll 

825 

1000 X 1000 

2.53 . 

CH12 

825 

1000 X 1000 

5.07 

CH21 

825 

1000 X 1000 

2.53 

CH22 

825 

1000 X 1000 

4.22 

CH31 

825 

1000 X 1000 

2.11 

CH32 

825 

1000X 1000 

1.69 

CH41 

825 

1000X 1000 

2.11 

CH42 

825 

1000 X 1000 

1.69 


CH41 

' ' ’ CH42 

CH42 

CH41 

C41 

C42 

C42 

C41 

CF-I3 1 

CH32 

CH32 

CH31 

C31 

C32 

C32 

C31 

CH21 

CH22 

CH22 

i 

CH21 

C21 

C22 

C22 

C21 

CHll| 

CH12 

CH12 

( 

' CHI 1 

Cll 

C12 

C12 

Cll 




Table 3.1 (b) : Details of Beam Elements 




Table 3.2 : Response of Ordinary Flat Slab Frame 


Property 

Value 

Initial Stiffness 

= Base shear at first yield /Roof 
Displacement 

(Base Shear Coefficient/Drift (%)) 

1.43 kN/mm 
(0.093) 

Overstrength at First Yield 
(Cf/Cw) 

Cf 

0.046 

1.64 

Cw 

0.028 

Overstrength (Cy/Cw) 

Cy 

0.109 

3.89 

Cw 

0.028 


Table 3.3 : Comparison of Ordinary Flat Slab Frame and Beam-Column Frames 


Type of Framing 

Ordinary Flat Slab Frame 

Three-Storey 
Four-Bay Beam- 
Column Frame 
[Jain and Navin, 
1995] 

Six-Storey Four- 
Bay Beam-Column 
Frame 

[Jain and Navin, 
1995] 

Initial Stiffness 
= Base Shear 
CoelTicient/Drift (%) 

0.093 

0.16 

0.16 

Cw 

0.028 

0.04 

0.03 

Cf 

0.046 

0.13 

0.07 

Cy 

0.109 

0.173 

0.124 

^max 

— 

>2.50% 

>2.50% 

Ay 

— 

1.15% 

1.00% 

Overstrength 

Q = Cy/Cw 

3.89 

4.35 

4.13 

Ductility 
(a ~ Amax/ Ay 

— 

>2.17 

>2.55 





Table 3.4 : Comparison With and Without Continuous Bottom Reinforcement 


Building Type 

Cw 

Cf 

Cy 

Overstrength 
at First Yield 
Qf= Cf/Cw 

Overstrength 
Q = Cy/Cw 

Drift 

Capacity 

(%) 

Without 

Continuous 

Bottom 

Reinforcement 

0.028 

0.046 

0.109 

1.64 

3.89 

1.99 

With 

Continuous 

Bottom 

Reinforcement 

1 

0.028 

0.079 

0.120 

2.82 

4.29 

1.57 




Fig. 3.1 : Flat Slab Building 
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Fig. 3.2 : Dimensions 
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Fig. 3.3 : Force-Displacement Relationship of the Flat Slab 

Frame 
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Fig. 3.4 : Sequence of Plastic Hinges in Flat Slab Frame 
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a) Bending moment due to gravity loads 
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b) Bending Moment due to lateral loads 
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Fig. 3.6 : Comparision of Ordinary Flat Slab Frame with 
Beam Column Frames 
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Fig. 3.7 : Comparison With Continuous Column Strip 
Bottom Reinforcement 


Chapter 4 

Behavior of Retrofitted Flat Slab Buildings 


4.1 Introduction 

Most of the existing flat slab buildings were designed only for gravity loading and 
sometimes for wind loading also. As seen in the previous chapter, these buildings have to 
be retrofitted for better seismic performance. Hence, in this chapter the response of 
retrofitted building is evaluated by push-over analysis. Retrofitting by column jacketing 
and/or by addition of extra beam to the slab along the column lines are considered. The 
retrofitting configurations studied here include a) retrofitting by column jacketing only, 
b) retrofitting by providing additional beams only, and c) retrofitting by both column 
jacketing and by additional beams. It is of interest to see how the retrofitting of different 
storeys would change the behavior of the flat slab buildings. Hence, in each of these three 
schemes, analysis is carried out assuming retrofitting of first storey only, first two 
storeys, first three storeys, and of all the storeys. 

4.2 Retrofitting with Column Jacketing 

4.2.1 Details of Column Jacketing 

The existing columns of the flat slab building are retrofitted to increase their 
dimension from 300 mm x 300 mm to 500 mm x 500 mm. The increased column area is 
taken to the height till it flushes with the column head. In column jacketing, first the 
cover concrete is removed, and then the column is jacketed by extra concrete and steel 
reinforcement. The extra longitudinal reinforcement is taken through the slab by drilling 
holes (Fig. 4.1). These holes are then filled by grouting. Confinement .reinforcement is 



provided around the newly provided longitudinal reinforcement. The extra longitudinal 
leinfoi cement is equal to 1 % of the total column area. Confinement reinforcement is 
provided as per IS : 13920 - 1993. From this, the volume of transverse reinforcement 
came out to be 0.7% of the volume of column core (which is 10 mm dia. @ 100 mm c/c). 
The reinforcement details of retrofitted columns are given in Table 4.1 . 

4.2.2 Lateral Load Response 

The force-displacement relations for the column retrofitting are shown in Fig. 4.2. 
The figure shows that the overstrength and the stiffness increase with number of storeys 
of column retrofitting. The increase in overstrength due to retrofitting of first storey, first 
two storeys, first three storeys, and all storeys of column retrofitting are 40.4%, 54.1%, 
56.9%, 62.4%, respectively, with respect to the original structure (Table 4.3). Clearly 
maximum improvement in overstrength and initial stiffness is achieved by jacketing of 
ground storey columns. Jacketing of the upper storeys does not further improve the 
response in a significant way. 

In all cases of column retrofitting, all the drop panel elements under sagging 
hinged before any other type of hinges formed. The first yielding started at around 0.31% 
drift in all these cases of retrofitting as against 0.5% in the original stmcture it was at 
0.5%. The increased stiffness due to column retrofitting attracted more forces at lower 
drifts, and resulted in earlier yielding of drop panel elements. These extra forces are 
concentrated at retrofitted columns. Hence, the drop panels beside these columns yielded 
earlier than in original building. The drift range, in which the drop panel elements yielded 
under sagging, decreased slightly with increasing number of floors retrofitted. In all these 
cases, there was a long linear portion after drop panel yielding under sagging moment. 
This was in the range of about 0.71% to 1.79%. 



The yielding of drop panel elements under hogging was also observed. In case of 
first storey retrofitting, it was observed in third storey only, while in all other cases of 
column retrofitting, it was observed in all storeys except the top storey. This is because 
the stiffer elements (i.e., retrofitted column elements) were attracting more forces. Hence, 
the drop panel elements, which were connected to these stiffer elements also attracted 
more forces, and have undergone yielding. 

At higher drifts of above 2.14%, columns started yielding. The column hinging 
shifted to upper storeys, which were not retrofitted. In the original structure, column 
hinging was significant in lower storeys. 

In general the column failures in unretrofitted buildings occur in lower storeys. 
But no column failure is observed in any of these four cases upto the 2.5% drift. This is 
due to the increase in ultimate rotation capacity of retrofitted columns. Moreover, the 
increased stiffness gained through retrofitting in these four cases reduce after drop panel 
yielding, and results in insufficient forces to cause failures in retrofitted columns, 

4,3 Retrofitting with Addition of Beam 

4.3.1 Details of Addition of Beam 

To provide an extra beam, the bottom cover of slab is removed, and an extra beam 
is provided along with continuous bottom bars. These bars are taken through the slab- 
column connections by drilling holes through the column head. These holes are then 
filled by grouting. In this scheme, the flat slab building is provided with an extra thin 
beam along the column lines. This beam is projected 200 mm below the existing slab. 
The width of this beam is kept so that it flushes with the column head (i.e., 1 146). 

Different sections in hogging and sagging were assumed for the purpose of 
sectional properties of retrofitted beam elements as shown in Fig. 4.3. The reinforcement 
details of these sections are given in Table 4.2. The stiffness of these elements is then 



taken as average of the hogging and sagging stiffness. This is due to the limitation of 
Element 2 of SNAP-2DX to allow only one value of stiffness in both sagging and 
hogging. 

4.3.2 Lateral Load Response 

The force-displacement relations for beam retrofitting are shown in Fig. 4.4 and 
important parameters summarized in Table 4.3. Beam retrofitting helps significantly 
improve stiffness. Moreover, the stiffness degradation due to sagging hinges is avoided. 
However, the structure remains without any worthwhile ductility. A significant increase 
in overstrength (37%) is observed with first storey beam retrofitting. No significant 
improvement in overstrength is achieved when more storeys were retrofitted. This is 
because, columns were predominantly the weaker elements after retrofitting by beam 
addition. On the other hand, initial stiffhess improves significantly as more number of 
storeys are retrofitted by providing beams (37%, 68%, 118%, and 118%, respectively). 

The increased stiffness due to retrofitting resulted in attracting more forces at 
small drifts. Consequently, the columns yielded and failed at lower drift than in case of 
the original building. Hence, the drift capacity reduced with increasing number of storeys 
of retrofitting. The failure of first column was observed at drifts of 2.14%, 1.59%, 1.06%, 
and 0.99% in case of first storey, first two storeys, first three storeys, and all storeys 
retrofitting, respectively. Thus, retrofitting of beams alone increases the stiffness and 

strength, but reduces the drift capacity (Table 4.3). 

At a drift of around 0.36%, sagging hinges took place in beams at floors that were 
not retrofitted. Again, this happened at lower drift than in the original structure (0.50%) 


due to increased stiffness. 



4.4 Retrofitting with Column Jacketing and Addition of Beam 

4.4.1 Details of Retrofitting 

In this scheme, in each retrofitted storey, both column jacketing and addition of 
floor beams are adopted simultaneously. The analysis is carried out for the four cases of 
retrofitting in different storeys as in the previous sections. The reinforcement and 
dimensional details of retrofitting are same as considered earlier. 

4.4.2 Lateral Load Response 

The force-displacement relations for these four cases are shown in Fig. 4.5 and 
important response quantities are summarized in Table 4.3. 

One interesting aspect of this retrofitting scheme is that the damage shifted 
completely to the unretrofitted upper storeys. 

As more number of storeys are retrofitted, there is a sigificant improvement in 
overstrength (38%, 55%, 162%, and 319%, respectively) and initial stiffness (78%, 
168%, 331%, 470%, respectively). In fact, overstrength in the retrofitted building ranges 
from 5.39 to 16.32 depending on the number of storeys retrofitted. Overstrength at first 
yield decreases slightly (10% and 2%, respectively) for first two storey retrofitting, but 
improves significantly (69%, 37.9%) when three of four storeys are retrofitted. The frame 
response with respect to stiffness degradation due to sagging hinges improves as more 
storeys are retrofitted. In fact, a small amount of ductility (1.9) is seen in case of all 
storey retrofitting. 

The drift capacity reduces somewhat (10% to 40%) when not all storeys are 
retrofitted. This is because partial retrofitting increases stiffiiess and the columns in 
unretrofitted storeys fail at lower drift. When all storeys are retrofitted, the drift capacity 
is slightly higher (5%) than in the original structure. 



4.5 Comparison of Retr o fitting Schemes with Number of Storeys of 


Retrofitting 

The three schemes of retrofitting (i.e., column jacketing, addition of beams, 
column jacketing and addition of beams) are compared in Figs. 4.6 to 4.9. 

In case of first storey retrofitting (Fig. 4.6), the improvement in overstrength 
obtained by all the three schemes is almost similar (37% to 40%). The stiffness is about 
the same for beam retrofitting alone and column retrofitting alone, but is higher for beam 
and column retrofitting. 

For retrofitting of first two storeys also (Fig. 4.7), the overstrength from the three 
schemes is comparable (46% to 55%). The softening is significantly reduced by beam 
retrofitting, but the drift capacity is significantly less than that in case of column 
retrofitting (Table 4.3). Due to the column and beam retrofitting, stiffness increased even 
further and the drift capacity is less than that from beam retrofitting. 

In case of retrofitting of first three storeys, increase in overstrengths due to beam 
retrofitting and column retrofitting are similar (40% and 57%, respectively), but much 
larger (162%) due to the column plus beam retrofitting. The drift capacity in beam 
retrofitting and beam plus the column retrofitting are significantly less than that in the 
original structure and in case of column retrofitting. 

When all the storeys are retrofitted, improvement the overstrength due to beam 
retrofitting and column retrofitting are similar (42% and 62%, respectively), but much 
higher (319%) due to beam plus column retrofitting. The drift capacity of beam 
retrofitting is far less than that due to other retrofitting schemes and that of the original 
structure. The stiffness of beam plus column retrofitting is very high compared to the 
original structure and other two retrofitting schemes. 



From Figs. 4.8 and 4.9, it is clear that increasing the number of storeys of 
retrofitting either by beam retrofitting alone or by column retrofitting alone does not 
increase the overstrength considerably. On the contrary the overstrength due to 
retrofitting by both column plus beam retrofitting was significantly higher than beam 
retrofitting alone and column retrofitting alone. 

In all the above cases, it can be observed that the beam retrofitting gives more 
stiffness but less drift capacity than the column retrofitting. The less drift capacity is 
because of the unretrofitted column failures. This effect is predominant in all cases except 
when only ground storey was retrofitted. The drop panel yielding in sagging is similar to 
original building in case of column retrofitting, while it is limited to unretrofitted floors 
in beam retrofitting. 

The beam plus column retrofitting gives higher strength and stifftiess than the 
other two schemes. The damage is shifted to unretrofitted upper floors completely by this 
scheme. The increased stiffness of the structure attracted higher forces at less drift and 
the unretrofitted columns failed earlier resulting in less drift capacity than the original 
structure. When all storeys were retrofitted with beam and column retrofitting the drift 
capacity also improved considerably and was even higher than the original structure 
despite the significant increase in stiffness. 



Table 4.1 : Details of Retrofitted Column Elements 


Column 

Length (mm) 

Size (mm) 

Longitudinal 
Reinforcement (%) 

C15 

3575 

500 X 500 

1.98 

C16 

3575 

500 X 500 

2.89 

C25 

2375 

500 X 500 

1.98 

C26 

2375 

500 X 500 

2.58 

C35 

2375 

500 X 500 

1.82 

C36 

2375 

500 X 500 

1.67 

C45 

2375 

500 X 500 

1.82 

C46 

2375 

500x500 

1.67 

CH15 

825 

1400x 1400 

0.25 

CH16 

825 

1400 X 1400 

0.37 

CH25 

825 

1400 X 1400 

0.25 

CH26 

825 

1400x 1400 

0.33 

CH35 

825 

1400 X 1400 

0.23 

CH36 

825 

1400x 1400 

0.21 

CH45 

825 

1400x 1400 

0.23 

CH46 

825 

1400 X 1400 

0.21 


CH4l' 

i 

CH42 

! * 

’ CH41 

C41 

C42 

C42 

C41 

CH3( 

* CH32 

CH32 

< 

CH31 

C31 

C32 

C32 

C31 

CH2( 

CH22 

CH22 

CH21 

C21 

C22 

C22 

C21 

CHll' 

* CH12 

CH12 

* CHll 

Cl 1 

C12 

C12 

Cll 



Table 4.2 : Details of Retrofitted Beam Elements 


Beam 

Length 

(mm) 

Size (mm) 

Reinforcement at Element Ends 
(%) 

Hogging 

Sagging 

Top 

Bottom 

B1 

4000 

1146x400 

2000 X 400 

0.42 

0.95 

B2 

4000 

1146x400 

2000 X 400 

0.39 

0.95 

B3 

4000 

1146x400 

2000 X 400 

0.32 

0.95 

B4 

4000 

1146x400 

2000 X 400 

0.30 

0.95 

DPI 

1000 

1146x400 

1700x400 

0.34 

0.95 

DP2 

1000 

1146x400 

1700x400 

0.27 

0.95 

DPS 

1000 

1146x400 

1700x400 

0.25 

0.95 

DP4 

1000 

1146x400 

1700x400 

0.27 

0.95 


DP4 B3 DP4 DP4 B4 DP4 DP4 B3 DP4 


> < 

DP3 B3 DP3 

t 

DP3 B4 DP3 

> — ' • • ' 

DP3 B3 DP3 

DP2 B1 DP2 

DP2 B2 DP2 

DP2 B1 DP2 

) i 

DPI B1 DPI 

DPI B2 DPI 

DPI B1 DPI 

> < 

► 




Table 4.3 : Comparison of Different Retrofitting Schemes with Original Building 


Initial Stif&ess 

1 " - 1 , ' ’ ‘ j 

(Base Shear Coefficient / 
%Drift) 

Beam 

and 

Column 

Retg., 

\o OO 

o 

0.241 

(167.8) 

0.388 

(331.1) 

0.513 

(470) 


Beam 

Retg., 

0.123 

(36.7) 

0.151 

(67.8) 

0.196 

(117.8) 

0.196 

(117.8) 

0.09 

Column 

Retg., 

0.127 

(41.1%) 

0.137 

(52.2) 

0.147 

(63.3) 

0.155 

(72.2) 

Overstrength at First Yield 

Of = Cf/Cw 

Beam and 
Column 
Retg., 

1.47 

(-10.4%) 

1.6 

(-2.4%) 

2.77 

(68.9%) 

7.86 

(379.3%) 

— 

1.64 

Beam 

Retg., 

1.49 

(-9.1%) 

1.62 

(-1.2%) 

2.8 

(70.7%) 

4.57 

(178%) 

Column 

Retg., 

1.43 

(-12.8%) 

1.4 

(-14.6%) 

1.58 

(-3.66%) 

1.76 

(7.3%) 

■S u 

^ II 

Beam 

and 

Column 

Retg., 

5.39 

(38.5%) 

6.04 

(55.3%) 

10.18 

(162%) 

16.32 

(319%) 

3.89 

Beam 

Retg., 

5.32 

(36.8%) 

5.46 

(40.3%) 

5.46 

(40.3) 

5.46 

(40.3%) 

Column 

Retg., 

5.46 

(40.3%) 

6.00 

(54.2%) 

6.11 

(57.1%) 

6.32 

(62.5%) 

Drift Capacity (mm) 

Beam 

and 

Column 

Retg., 

250 

(-10.1%) 

182 

(-34.5%) 

164 

(-41%) 

292 

(5%) 

278 

Beam 

Retg., 

292 

(5%) 

(%roz-) 

ZZZ 

148 

(-46.8%) 

138 

(-50.3%) 

Column 

Retg., 

>350 

(>26%) 

>350 

(>26%) 

>350 

(>26%) 

>350 

(>26%) 


Type of 
Retrofitting 

No. of Storeys 
From Bottom 
Retrofitted 

t-h 

CN 

CO 

Tj* 

Original 

Building 


63 


The numbers in bracket indicate percentage increase with respect to the original structure. 





Fig. 4.1 : Column Jacketing [NEHRP, 1994] 
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Fig. 4.3 : a) Idealization of Drop Panel Elements 
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Fig. 4.3 : b) Idealization of Slab Elements 
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Fig, 4.4 : Force Displacement Relations for Beam 

Retrofitting 
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Fig. 4.5 : Force-Displacement Relations for Column and 
Beam Retrofitting 
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Chapter 5 

Summary and Conclusions 


Lateial lesponse of an existing flat slab building is studied by nonlinear push-over 
analysis. A four-storey three-bay flat slab building, which is not designed for seismic 
loads, but designed for wind loads, was chosen for this purpose. The three-dimensional 
structure is replaced by two-dimensional frames consisting of original columns and slab 
of effective width [Dovich and Wight, 1994]. The push over analysis is carried out on the 
interior frame of this building. The design base shear coefficient due to the wind load on 
this building is found to be 0.028. The response of this building is compared with that of 
beam-column frames available in literature [Jain and Navin, 1995]. The change jn 
behavior of this building due to the continuous column strip bottom reinforcement is also 
studied. From the above studies, it is observed that the seismic response of existing flat 
slab buildings is dangerously inadequate. Hence, many older flat slab buildings will 
urgently need retrofitting. 

The response of flat slab buildings with retrofitting by different schemes a) 
column jacketing; b) addition of extra beam and c) column jacketing and addition of extra 
beam is studied. In each of these three schemes, the push over analysis is carried out for 
retrofitting of first storey, first two storeys, first three storeys and all storeys. 

The important conclusions based on the above studies are as follows. 

a I Performance of Existing Flat Slab Buildings 

1. The existing non-seismically designed flat slab structures have much lower 

stiffness and drift capacity than in conventional beam-column frames, while 
the overstrength of quite comparable. 



2. The yielding starts at very low drift of 0.5%, when the overstrength is only 


1 . 6 . 


3. Significant softening takes place in the slab due to yielding in sagging, 
because of absence or insufficiency of bottom reinforcement. 

4. The force-displacement relationship of these buildings hardly shows any 
ductility. 


4 ^rj'-V.i'.j TV -yitb rc;T--.-.o:.;5 


Reinforcenient 

1 . Initial stiffness is same as that of the original building. 

2. The first yield is delayed from 0.5% drift in original building to 0.86% drift in 
this case. The overstrength at first yield increased significantly from 1.6 to 


2 . 8 . 

3 . The major concern is that the yielding in sagging reduced significantly. 

4. The overstrength increased by about 10% from that in the original building. 

5. The drift capacity reduced to 1 .6% ft’orn 2% in original building. 

6. No improvement in ductility is found. 
cl Retrofitting with Column Jacketing 

1. The overstrength increased by 40%, 54%, 57% and 62% and the initial 
stiffness increased by 41%, 52%, 63%. and 72% with respect to the oiiginal 
building, as the number of retrofitted storeys increase from one to four. 

2. The yielding in sagging is significant as in the original building. 

3. The first yield started earlier around 0.31% while in the original building it 

started at 0.5%. 

4. Column damages shifted to unretrofitted upper storeys from retrofitted bottom 


storeys. 



5. No column failuies arc observed within the 2.5% drift in all cases of column 
jacketing. Hence, drift capacity is improved. 

d ) Retrofitting with Addition of Extra Beam 

1 . The overstrength increased by 37% in case of first storey retrofitting and 40% 

in all other cases, with respect to the original building. 

2. The initial stiffness increased by 37% in case of first storey retrofitting, 68% 
in case of first two storeys of retrofitting, and 118% in case of first three and 
all storeys of retrofitting, with respect to the original building. 

3. The drift capacity increased in case of first storey retrofitting by 5%, while it 
reduced by 20%, 47%, and 50% in case of first two storeys, first three storeys 
and all storeys retrofitting, respectively. 

4. The yielding in sagging was limited to unretrofitted floors only. 

■ ' . '•V.'.^h rph.;n'-\.hirkcfing_p.rvi.\.iditi-)n cf Txfic Bcriy 

1. The overstrength increased by 38%, 55%, 162% and 320% and the initial 

stiffness increased by 78%, 167%, 333% and 467%) with respect to the 
original building, as the number of retrofitted storeys increase from one to 
four. 

2. The drift capacity reduced by 10%, 34%, and 40% in case of first storey, first 
two storeys, and first three storeys, respectively, while in case of all storeys 
retrofitting drift capacity increased by. 5% with respect to the original 
building. 

3. The yielding in sagging was limited to unretrofitted floors only as in case of 
beam retrofitting. 


n Comnarison of Retrofitting Schemes with Number of Storevs of Retrofitting 


1 The first storey retrofitting gives similar overstrength for all the three schemes 
of retrofitting with more drift capacity in column jacketing. Hence column 
retrofitting of ground storey can be a very good cost effective technique. 

2. The first two storeys retrofitting gives somewhat similar overstrength for all 
cases. The column retrofitting gives larger drift capacity, while the other two 
schemes have the advantage of lesser yielding in sagging. 

3. In the first three storeys retrofitting, the beam plus column retrofitting gives 
very high strength and stiffness than the other two schemes, but drift capacity 
is less. 

4. The all storeys retrofitting shows highest overstrength and stiffness among the 
all available combinations. The drift capacity in this case is similar to that of 
the original structure. 

The program used in this study does not allow the M-0 curve of elements to have 
a failure point. However, the drift at which ‘9u’ is reached in column elements is 
detennined by another program, to find the occumence of column failure. 

In future study, the experimental investigation of slab-column connection under 
lateral loading is recommended. It will be interesting to study analytically the effect of 
edge beam on overall behavior of structure. The improvement in behavior due to 
retrofitting by steel bracings is also of interest. 
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